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Precast, prestressed wall panels comprising thin 
concrete sections are not commonly used as 
seismic shear walls. Many engineers and code 
officials view prestressed materials as nonductile, 
and the connections between the sandwich wall 
panels and the foundation may suffer from brittle 
joint failures. The authors have designed a new 
load-limiting foundation connection for precast, 
prestressed panels used as shear walls that prevents 
the development of excessive uplift forces in the 
joint. This connection allows precast, prestressed 
concrete wall panels, such as hollow-core, to act 
as shear walls in resisting seismic loading without 
relying on wall ductility or causing an anchorage 
failure in a thin concrete section of the wall 
panel (where a connector is located). This unique 
connector allows the wall system to behave unlike 
that anticipated by building-code-defined design 
methods. Building codes require the behavior of 
new systems to be compared (and proven similar) 
with that of code-conforming behavior before being 
used. This paper describes the development and 
testing of the proposed load-limiting connector and 
wall system and the wall design approach needed 
to obtain special building code approval for its use.
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Precast concrete walls provide 
an excellent envelope for low-
rise commercial and industrial 

buildings. They are relatively easy to 
manufacture, structurally efficient, 
durable, and attractive. Precast con-
crete walls are also extremely energy 
efficient when built with an insulation 
wythe. In addition, their desirability to 
the owner and design professionals can 
be increased tremendously if they pro-
vide lateral-load resistance. The focus 
of this paper is to develop a means for 
practicing engineers to use precast con-
crete members with thin cross sections, 
such as hollow-core panels, as shear 
walls.

In practice, precast concrete walls 
have been used for seismic load re-
sistance by designing them to emulate 
cast-in-place shear walls. This is typi-
cally accomplished using ductile ver-
tical reinforcing coupled with splice 
sleeves or other devices to create con-
tinuity across horizontal wall joints  
because some codes prohibit the use of 
prestressing across joints to resist seis-
mic load.1,2

Newer systems have recently been 
developed to take advantage of un-
bonded, vertical post-tensioning,3–8 
though they may also include spliced 
reinforcing bars, to develop a strong 
self-righting wall in response to a seis-
mic event. These newer systems do not 
emulate normal reinforced concrete 
shear walls and, as such, have required 
validation, which is typically accom-
plished by use of physical experiments 
and/or analytical models with physi-
cal testing to prove their resistance 
equivalency to a cast-in-place system. 
The use of vertical post-tensioning, 
however, may demand thicker walls 
that have a greater compressive force 
capacity, special confinement reinforc-
ing at the edges, or special confinement 
spirals. Vertically post-tensioned walls 
also need a sufficient cross section to 
allow splicing of the ductile vertical 
mild-steel reinforcement.

Many precast concrete components 
used as exterior walls, such as hollow-
core panels, double-tees, and multi-
wythe insulated panels, do not have 
thick concrete cross sections. The join-
ing of spliced reinforcing, as needed 
for emulative design, or the greater 
compression force capacity and thick-

ness to hold spiral confined concrete 
with vertical post-tensioning, may not 
be possible in the thin, precast concrete 
sections.

In a tall, narrow shear wall (for ex-
ample, a 30-ft-tall [9 m] × 8-ft-wide 
[2.4 m] hollow-core panel), the connec-
tion to the foundation has to resist the 
overturning moments caused by lateral 
loads. The resistance to overturning 
moment from lateral seismic loading 
appears as a vertical force couple at the 
wall corners as illustrated in Fig. 1. In 
such a system, the moment arm of the 
lateral force (the height of the wall in 
a single-story system) is often greater 
than the wall width. Thus, at one base 
connection, a large uplift force is creat-
ed. At the other base corner, a compres-
sion force is developed. The capacity 
of the corner tension connector is lim-
ited due to the thin-wall section where 
the connector plate must be anchored. 
Tests performed on connections with 
typical anchorage techniques show that 

the connections’ tensile capacities may 
not be sufficient to resist the uplift forc-
es generated from earthquake loads.9

The solution for thin-walled mem-
bers might be to limit the force that the 
connector could transfer into the wall. 
If the tension force is limited below the 
value that would crack off the panel’s 
corner or pull out the anchoring rein-
forcement, the problem of a thin sec-
tion failing in a brittle manner could 
be avoided. Limiting the tension force 
may limit the lateral-load resistance of a 
single panel, but the building’s total ca-
pacity for lateral-load resistance equals 
the sum of the lateral-load resistances 
of the numerous wall panels available 
around the exterior of the building.

The force that the ground applies to 
the wall system and to the connection 
anchorage can be limited by the use 
of special connectors. Investigation of 
the seismic performance of a variety 
of connection details shows that fric-
tion joints or slotted-bolted (SB) con-

Fig. 1.	Force	couple	and	overturning	moment.
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nections may provide an efficient way 
for limiting the shear force applied to 
the wall system while dissipating sub-
stantial earthquake energy.10–13 After 
slip between the wall panel and the 
foundation starts and the connection’s 
stiffness decreases, the devices can 
also significantly lengthen the building 
period to a range where seismic effects 
may not be as significant.

The remainder of this paper will de-
scribe the development of an SB con-

nector system for thin-walled precast 
concrete panels that allows the panels 
to resist earthquake lateral load like a 
shear wall while also acting as an ex-
terior curtain wall. This new connec-
tion system is different from typical 
shear-wall connector systems included 
in building-code-proposed design pro-
cedures. Because a goal in the devel-
opment of this connection is to obtain 
code approval, extensive experimental 
testing combined with analysis and de-
sign procedures was required to show 
that the walls could respond as well 
as typical reinforced concrete shear 
walls subjected to earthquake-induced 
loads.14,15 This paper focuses on de-
scribing the system components, key 
experimental tests, and a suggested de-
sign method.

OBJECTIVE, SCOPE, AND 
SOLUTION PROCEDURE

If SB connectors can maintain an 
elastic-plastic response, as shown in 
Fig. 2, when subjected to a seismic 
force, the force passing through a con-
nection can be limited to avoid anchor-
age failure in thin-wall sections while 
providing energy dissipation. Our 
goals were to prove the connector’s 
performance and to create a code-ac-
cepted process for designing and using 
thin-sectioned precast concrete wall el-
ements as seismic-resistant shear walls 

using such connections.
While the current focus was on 

specifically defining a connection for 
thin-concrete-sectioned wall elements, 
similar methods could be applicable to 
any type of precast concrete panel. In 
developing the seismic-resisting sys-
tem described here, only a single type 
of thin precast concrete element, an 8-
ft-wide (2.4 m) hollow-core wall panel, 
was used.

When subject to lateral forces, the 
bottom connection in a hollow-core 
panel might fail as shown in Fig. 3. 
In the figure, a steel connection plate 
with reinforcing bars or studs welded 
to its back side is embedded in the top 
surface of the hollow-core. When lat-
eral load was applied to the plate, the 
thin-concrete section below the plate, 
along with the embedded anchorage 
steel, broke free. The concrete suffered 
a brittle failure in tension and the rein-
forcing bar suffered a bond failure.

In other research, adjacent hol-
low-core wall panels retrofitted with 
fiber-reinforced polymers (FRPs) ad-
hesively attached to the concrete faces 
have shown similar failures in steel 
plate edge connections.16 These fail-
ures might also be expected in other 
thin-sectioned precast concrete mem-
bers. This illustrates that hollow-core 
is emblematic of the general problem 
of obtaining satisfactory seismic base 
connections in thin-sectioned precast 
concrete wall panels.

Other authors have suggested vari-
ous means of obtaining satisfactory 
behavior in precast concrete shear-wall 
systems.6 While much attention has 
been dedicated to achieving wall base 
connections that can develop a couple 
to resist overturning in thick walls, as 
in Fig. 1, consideration must also be 
directed to transferring the horizontal 
base shear.17,18 Previous studies have 
developed excellent methods for trans-
forming thick precast concrete panels 
into shear walls but have neglected thin 
sections.

One method to reduce the force 
couple at the base of thin wall panels 
is to connect adjoining panels, form-
ing a wide wall as in Fig. 4. The wider 
moment arm at the base of the panel 
reduces the vertical force components. 
In many instances, this may be an ac-
ceptable solution, and connectors have 

Fig. 3.	Failure	of	base	embed.

Fig. 2.	Ideal	load-slip	plot.
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been developed for these locations.19,20 
As the wall becomes wider, however, 
the force in the connections between 
the panels increases. Now the same 
anchorage problem may exist, but it 
is located in the connections between 
adjoining elements. Although success-
ful wall connections have been made 
in this manner using FRPs, the wet 
field layup required for use of FRPs 
is difficult during inclement weather 
and may not be practical for typical 
construction.

After considering alternative solu-
tions, the use of a base connection that 
could limit the force transferred into 
the wall (to avoid wall or anchorage 
failure) was chosen for the hollow-core 
application. Adjoining panels were not 
connected.

To develop a code-accepted process 
for designing shear walls composed of 
the hollow-core panels with SB base 
connectors, the capacity of the entire 
proposed wall system needs to be com-
pared with that of code-conforming 
shear-wall systems, and it must prove 
to behave equivalent to or better than 
current systems. The solution method 
includes identifying all components of 
the wall that will contribute to the lat-
eral-load-resisting system, defining the 
behavior and design of each component, 
and defining the design approach for 
the entire lateral-load-resisting system. 
Each of these steps is discussed in the 
following sections for the hollow-core 
example. Examination of this problem 
was pursued by a cooperative venture. 
Engineers from Spancrete Machinery 
Corp. and University of Wisconsin re-
searchers developed components and 
examined component behavior. The 
Nakaki Bashaw Group led the develop-
ment of design procedures and the code 
approval process.

THE PROPOSED SYSTEM: 
COMPONENTS

Figure 5 shows a schematic sketch 
of the proposed wall system. The sys-
tem includes all components required 
to transfer lateral seismic load between 
a roof diaphragm and the foundation: 
the connection to a roof diaphragm (top 
connection), the wall itself, a compres-
sion/shear base connection, and a ten-
sion base connection.

Top Connection

A typical top connection uses two 
commercially produced slotted con-
nectors, such as Corewall or PSA-type  
inserts. A Corewall connection to 
a lightweight steel roof structure is 
shown in Fig. 6, and added anchor-
age reinforcing to affix the insert to the 
concrete is shown in Fig. 7.

Wall Panel

The wall is a standard hollow-core 
panel, 8 ft (2.4 m) wide and 8 in. (200 
mm) thick, with the cross section shown 
in Fig. 8. In some instances, the panel 
may also include an insulation layer 
or wythe covered by a thin, protective 
concrete layer. Because these added 
elements do not contribute to the pan-
el’s lateral-load resistance, their pres-
ence is irrelevant in shear-wall perfor-
mance and is ignored here. Prestressing 
strands, not shown in the figure, are 
added inside the panel as needed for 
out-of-plane strength and handling of 
the wall panel. Note that the core sizes 

were varied in cross section at the loca-
tions of the top and bottom connectors 
to increase the concrete section and im-
prove anchorage for the connections.

Fig. 6.	Corewall	attachment	to	roof.

Fig. 5.	Components	of	the	proposed	system.	Note:	1	ft	=	0.305	m.
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Compression/Shear Base 
Connection

The bottom connection is com-
posed of bearing to resist compression 
and friction (or grout keys) to resist 
shear. With lateral loading, a tension- 
compression couple develops, as illus-
trated in Fig. 1. The corner of the wall 
must be able to sustain the compres-
sion force through bearing. The com-
pression and shear resistance of the 
bottom joint comes from the bearing 

of the wall on the foundation through a 
packed mortar bedding (which may ex-
tend into the panel voids to form keys, 
if needed). Shear forces are resisted 
by shear friction and/or shear key ac-
tion in the compression bearing area 
between the bottom of the wall and 
mortar bedding. The size of the bearing 
area is determined by the combination 
of vertical gravitational load, the com-
pression component of the overturning 
moment, and the magnitude of rotation 
at the base.

Tension Base Connection

A special SB connection is used to re-
sist the tension component of the base 
force couple. In addition to the SB con-
nection mechanism, an anchorage sys-
tem for it is required within the wall.

The SB connection system for re-
sisting tension is shown assembled in  
Fig. 9, and the individual components 
are shown in Fig. 10. The SB connec-
tion is intended to slip and dissipate en-
ergy through friction under cyclic load-
ing. Previous experiments conducted 
on this kind of connection showed that 
the hysteresis loops of connections 
with steel-brass friction slip surfaces 
are similar to those of an ideal rigid–
perfectly plastic element.13

The SB base slip connection consists 
of two main outer steel plates sand-
wiching a third middle steel plate that 
has slotted holes to accommodate slid-
ing. One of the outer steel plates, at the 
left in Fig. 10, is embedded in the hol-
low-core wall panel and has reinforc-
ing bars attached to provide anchorage. 
The middle slotted plate is welded to a 
foundation embed plate. The third outer 
steel plate provides a cover and second 
friction surface for the connection. 
Brass plates are placed within the two 
friction interfaces. The brass is used 
to provide steadier, more predictable 
friction behavior than would be seen 
in steel-to-steel surfaces. The connec-
tion is joined using two structural bolts. 
The bolt tension influences the friction 
force resistance. Special washers are 
used to control bolt tension. The bolts 
are tightened with a calibrated torque 
wrench to a specific torque, giving a 
desired bolt tension (or associated joint 
compression) and friction capacity.

An anchorage system in the wall for 
the embedded plate is also an essential 
part of the SB base connection. The type 
of anchorage depends on the thickness 
available in the wall panel. In the case 
of the hollow-core wall, the anchorage 
detailing is controlled by the slip-form 
extrusion machine used in the wall 
manufacturing process. The machine 
places the zero-slump concrete in three 
layers and tamps or packs each layer in 
place individually. The anchorage for 
the embed plate has to lie within the 
thickness acceptable for the first layer 
of tamping. In this case, the anchorage 
consists of combinations of reinforc-

Fig. 8.	Wall	section.	Note:	1	ft	=	0.305	m;	1	in.	=	25.4	mm.
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Fig. 9.	Diagram	of	slotted-bolted	connector.
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ing bars and headed studs welded to 
the plate along with G-stud clips that 
gripped the prestressing strand behind 
the plate and kept the plate positioned 
during concrete placement. The accept-
able thickness of the plate is limited to 
2.8 in. (710 mm). The back-side of one 
version of an embed plate is shown in 
Fig. 11 with the bottom of the wall on 
the right side.

BEHAVIOR OF SYSTEM 
COMPONENTS

The goal of the proposed system 
might be expanded beyond just the 
aim of controlling forces applied to 
the thin sections of special precast 
concrete wall elements. From a design 
point of view, it is desirable to iden-
tify system components that have the 
ability to yield versus those that need 
to be protected from large forces or 
yielding. As part of this added goal, 
all parts of the system, except the SB 
tension base connection, might be 
designed to remain elastic. This ap-
proach can make design quite simple. 
The SB connection may be designated 
as the key component to keep the size 
of loads transferred to the panel below 
the SB connection’s elastic limit and 
may also be designed to dissipate en-
ergy introduced by seismic movement. 
The behaviors of most of the system 
components were measured in the lab-
oratory,21,22 and they will be examined 
in this section to identify their behav-
ior, to define elastic force limits and to 
establish a design approach.

Top Connection

Manufacturers provide strength ca-
pacity information with their respective 
slotted insert connectors. That data may 
be either in the form of safe working 
loads (with safety factors such as 3:1) 
or minimum ultimate strength capaci-
ties. Complete behavior information in 
the form of load versus displacement 
relationships is generally not avail-
able. Connector capacities may also be 
changed by supplementary anchorage, 
such as that provided by the reinforcing 
bar shown attached to the back of the 
anchor in Fig. 7.

The insert shown in Fig. 6, without 
the added reinforcing bar, has a manu-
facturer’s safe working capacity of 4 kip 

(17.8 kN) in tension or shear perpendic-
ular to the slot with a 3:1 safety factor. A 
tension cone failure calculation would 
estimate its capacity as approximately 
22 kip (98 kN) in tension. Including the 
effect of the hairpin reinforcing bar, its 
tension cone breakout capacity might be 
approximately 31 kip (138 kN). The ac-
tual connection capacities were tested in 
tension and shear.

The capacity of a single connector 
was measured in three separate out-
of-plane tension tests. The flat coni-
cal failure plane from a tension test is 
shown in Fig. 12, and the connection 
behavior is shown in Fig. 13. During 
one of the tests shown in the figure, the 
displacement measurement became in-
active partway through the procedure, 
but a peak load of 10.9 kip (48 kN) 
was reached. The initial softening, near  
8 kip (36 kN), was coincident with the 
observation of a small amount of con-
crete spalling around the visible perim-
eter of the insert. It is suspected that the 
bond between the insert surface and the 
concrete broke at this load. First visible 
cracking in the panel concrete adjacent 
to the insert occurred between a load 
of 10 kip and 12 kip (44 kN to 53 kN), 
which was also the peak load resisted. 
The manufacturer’s suggested design 
capacity of 4 kip provided a factor of 
safety of 2.4 relative to its lowest mea-
sured capacity.

Two connectors were attached to a 
single loaded beam in measuring their 
horizontal shear capacities to simulate 
the actual loading of a wall panel with 
two top inserts. Three identical tests 
were conducted. The final failure oc-
curred with a popout or spall of the 
concrete on the far side of the insert, 
as shown in Fig. 14, due to twisting of 
the insert in the concrete. The connec-

Fig. 10.	Components	of	the	slotted-bolted	connector	system.
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tor performance is shown in Fig. 15. 
Initial softening occurred near a load 
of 10 kip (44 kN) when cracks devel-
oped from the strands to the concrete 
surface (see strands in Fig. 7). The 
connector appeared to yield and capac-
ity dropped slightly after the circular 
crack visible in Fig. 14 occurred near 
0.8 in. (20 mm) of displacement. Ac-
tual shear capacities of 26 kip to 27 kip 
(115 kN to 120 kN) were reached by 
the three sets of connectors. The ratio 
of the measured capacity to the manu-
facturer’s suggested capacity was 6.5, 
a high factor of safety that may be a 

result of the inclusion of the hairpin re-
inforcing bar.

Wall Panel

Building codes have not encour-
aged the use of prestressed members 
for resisting seismic lateral loads due 
to a perceived lack of ductility in pre-
stressed concrete. While the code ob-
jective would be appropriate if the wall 
panel was expected to develop inelas-
tic behavior, it does not apply to this 
system. The prestressed wall panel is 
protected by the limited capacity of the 
SB base connection. Analytical calcu-

lations that included the effect of pre-
stress were used to define the elastic 
wall capacity rather than conducting 
shear and flexural testing.

For flexural design purposes, the 
wall panel is treated as a beam-column, 
using the actual cross section to deter-
mine its capacity. With no axial load, 
the cracking moment for a hollow-core 
panel can be directly calculated. If a 
lateral load was applied, as in Fig. 1, at 
a roof height of 34 ft (10.4 m) and the 
wall moment is limited to the cracking 
moment, the lateral force capacity limit 
is equal to the cracking moment divid-
ed by the distance to the lateral force.

A dilemma in defining the shear ca-
pacity for the wall comes from the two 
separate approaches in considering its 
behavior. As a flexural beam-column, 
the prestressing and axial loads are ac-
counted for in calculating capacity and 
the flexural force applied is limited by 
the SB connection. In resisting lateral 
seismic forces as a shear wall, the wall 
is considered to be more like structural 
plain concrete, but shear force is also 
limited by the SB connection. Wall shear 
capacity is estimated while ignoring the 
effect of prestressing and axial load. 
Determining the appropriate strength 
reduction factor depends on the type of 
behavior assumed for the system.

ACI 31823 allows a shear stress of 

4 / 3 f
c

'  for plain concrete. The two 
face wythes of the wall in Fig. 8 could 
withstand 27 kip (122 kN) of shear at 
that stress capacity. The webs between 
the face wythes that form the cores in 
the hollow-core were ignored in this 
calculation. In design, a strength re-
duction factor φ must also be selected. 
This protected wall is considered to be 
a special reinforced concrete structural 
wall. The strength reduction factor φ	

Fig. 13.	Slotted-insert	pullout	test	results.	Note:	1	kip	=	4.45	kN;	1	in.	=	25.4	mm.
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for shear in reinforced structural walls, 
where capacity is controlled by flex-
ure, may be taken as 0.85. If the shear 
strength is less than that corresponding 
to the nominal flexural strength (unpro-
tected), then Section 9.3.4 of ACI 318 
requires that φ	be taken as 0.60.

Thus, ACI 318 allows the φ factor 
to be increased by 0.85/0.60, or 42%, 
when it is ensured that the wall will fail 
first in flexure. The shear φ factor for 
structural plain concrete is 0.55. Be-
cause the wall is considered to be plain 
concrete for shear capacity but is load 
protected by the SB connectors, to fail 
first in flexure, an increase in 42% is 
applied to the 0.55 factor as is done 
for reinforced walls, resulting in a new 
strength reduction factor of 0.78. The 
useable capacity may then be consid-

ered to be 0.78 4 / 3 f
c

'







 , or 1 f

c

' .  
For design purposes, the shear stress 

will be limited to 1 f
c

'  to ensure elas-
tic response. Because a modified φ 
factor is already included, it is not nec-
essary to apply an additional capacity 
reduction factor.

Compression/Shear Base 
Connection

The right-side corner of the wall in 
Fig. 1 develops a resultant compres-
sion reaction. The total compression is 
the sum of applied vertical load from a 
roof, the weight of the wall, and an ad-
ditional couple component as needed to 
resist the overturning moment caused 
by the lateral force.

In this compression region, shear 
friction is relied on to transfer the seis-
mic base shear.18 If a roughened surface 
is provided on the foundation, ACI 318 
allows the use of a coefficient of friction 
equal to 1. Thus, the minimum shear 
capacity of the wall panel would equal 

its weight if it were a non-loadbearing 
wall. Additional shear capacity will ac-
tually exist due to shear keys of dry-
pack grout that will form in the voids of 
the panel at the wall base. These keys 
will also provide resistance in partially 
uplifted portions of the wall.

The compression capacity, which 
could not be analytically predicted, was 
measured. A series of wall prisms, cut 
from the bottom corner of a wall such 
as in Fig. 1, were loaded to measure 
the useable compression capacity. The 
prisms were tested in a wider size than 
the predicted width of the compression 
region at the wall base due to combined 
axial load and overturning. Each of the 
prisms was tested with an eccentric axial 
load applied in a 1 million lb (454,000 
kg) testing machine. The application 
point of the resultant compression load,  
2.5 in. (63 mm) from the wall edge, was 
selected to mimic the location of the re-
sultant compression force in a wall that 
is experiencing overturning and uplift 
at the tension corner. Figure 16 shows 
the test setup, and Fig. 17 shows a typi-
cal failure.

The prism test results are summa-
rized in Table 1. The compression 
strength capacity would be expected 
to vary from that predicted by cylin-
der tests. Capacity is likely to depend 
on the configuration of the wall sec-
tion cores, the development of tension 
stress fields perpendicular to primary 
compression, and the lack of transverse 
confining reinforcement. The results 
in Table 1 are appropriate for the wall 
configuration produced. Failure ca-
pacities were consistent, and the peak 
strain at the outside edge of the wall 
ranged from 0.0014 to 0.0019, with an 
average of 0.00162, which is about half 
the maximum strain used in normal 
strength calculations. Tests with load 
applied at other eccentricities produced 

Fig. 16.	Compression	test	prism	with	
eccentric	load.

Fig. 17.	Typical	failure	of	compression	
test	prism.

Table 1.	Prism	Compression	Test	Results

prism Test specimen peak load, kip peak strain neutral axis location from 
edge, in.

Prism 1 220 0.00158 8.7

Prism 2 222 0.00193 8

Prism 3 214 0.00136 7.2

Note: Peak strain is measured at the outside edge of the wall, and the neutral axis is measured from the edge at failure. 1 kip = 4.45 kN; 1 in. = 25 mm.
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similar results.

Tension Base Connection

Particular attention was directed at 
evaluating the performance of the SB 
connection because it is relied on to 
control the peak seismic base force ap-
plied to the wall. Since this is the only 
component intended to yield, it needed 
to be examined under cyclic loading. 
Fifteen tests were run with various de-
signs for the connection. The testing 
program was patterned similar to pre-
vious research by Grigorian and Popov 
on connections for diagonal bracing.13 

Popov used a series of imposed sinu-
soidal displacement cycles that were 
intended to mimic the expected dis-
placements that the connector might see 
during a seismic event. The cycles were 
at displacement levels of 0.4, 0.7, 1.1, 
1.6, 1.1, 0.7, and 0.4 in. (10, 18, 28, 41, 
28, 18, and 10 mm).

The current SB connection assem-
blies were separated from the wall 
panel and tested alone for convenience. 
All of the components were noted pre-
viously in Fig. 10. The test assembly 
is shown schematically in Fig. 18 and 
placed in the test machine in Fig. 19.

A loading pattern similar to Popov’s 
was selected. The maximum acceptable 
drift in a 36-ft-tall (11 m) wall was used 
to pick a peak displacement for the con-
nector tests. An uplift amplitude of 1.6 

in. (41 mm) corresponds to a design top 
drift of the wall of nearly 2%. There-
fore, a peak displacement of 1.6 in.  
was selected for these cyclic tests. At a 
maximum acceptable drift of 3%, for a 
wall panel that is 8 ft (2.4 m) wide and 
rocking about a base corner, the uplift 
would be nearly 2.6 in. (66 mm).

Because the connection is expected 
to experience the effects of a minor 
earthquake before a major earthquake 
occurs, the cyclic testing started at 
low force levels. Three cycles of ten-
sion load were first applied at a level 
equal to 25% of the expected slip force 
(6.25 kip [27.8 kN]). They were fol-
lowed by three more cycles at an am-
plitude of 50% of the expected slip 
force (12.5 kip [55.6 kN]). Then the 
joint was tested at a series of larger 
tensile displacement levels of 0.28 
in. [7 mm], 0.4, 0.7, 1.1, 1.6, 1.1, 0.7, 
and 0.4 in. (10, 18, 28, 41, 28, 18, and  
10 mm) that would induce slip yield 
displacement. Three cycles were re-
peated at each displacement level. 
Upon completion of those tests, the 
joint was finally subjected to three cy-
cles at a peak tensile displacement of 
2.5 in. (64 mm), or nearly 3% wall drift 
in an 8-ft-wide (2.4 m) panel. The two 
cyclic loading programs are shown in 
Fig. 20 and 21.

The joint property of interest was 
its force-resisting ability; energy dis-
sipation was secondary. Response 
measured in the connection, plotted in  
Fig. 22, is near the ideal elastic–perfect-
ly plastic behavior desired. What looks 
like double yield levels are actually 
the results of slip occurring, first be-
tween the foundation plate and the wall 
embed plate, followed by slip between 
the foundation plate and the cover plate 
at a slightly larger displacement.

The load level at full slip is very near 
to the target amount of 30 kip (133 kN), 
and it remains nearly constant with 
repetitions and at different displace-
ment levels. Force data from four tests 
on the final selected joint are listed in 
Table 2.

The specific characteristics exhibited 
by the connection may be summarized 
as follows.

•	 Elastic capacity: The connec-
tion developed an initial av-
erage tension tie capacity of 

Fig. 19.	Slotted-bolted	connector	test	
assembly	in	test	machine.

Fig. 18.	Schematic	of	slotted-bolted	
connector	joint	test	setup.

Lc

Fig. 20.	Initial	slotted-bolted	connector	applied	load	cycles.	Note:	1000	lb	=	4.45	kN.
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33.3 kip (148 kN) before slip 
initiated. Variation measured 
from that average was between  
+1.5 kip (+6.7 kN) and -2.6 kip  
(-11.6 kN). The accompanying 
average elastic stiffness was 
955 kip/in. (16,720 kN/mm).

•	 Peak capacity: The peak uplift 
force transferred through the con-
nection was measured as 36.8 kip 
(164 kN). Peak resistance varied 
2.4 kip (10.7 kN) among the four 
cyclic tests. This peak resistance 
occurred with 1.1 in. (28 mm) 
of connection displacement.

•	 Capacity deterioration: Cyclic 
testing proved that the elastic 
resistance capacity, before joint 
slip occurred, decreased slightly 
under repeated cycling at large 
displacements (1.1 in. [28 mm] 
or greater). With 21 cycles of 
displacement of 0.4 in. (10 mm)  
and greater, all of the connec-
tors were able to maintain a 
resistance capacity at slip of  
25 kip (111 kN). The actual loss 
in resistance capacity at slip 
varied from 2% to 21% after 21 
cycles of large displacement.

•	 Friction damping/energy dissi-
pation: The connector performs 
as an excellent friction damping 
system. The energy dissipation 
remains high through multiple 
cycles of displacement at a vari-
ety of levels from 0.4 in. (10 mm) 
to 1.6 in. (41 mm) and back to 
0.4 in. (10 mm). The connection 
might be described as a stable 
elastic–perfectly plastic system.

Table 2.	Measured	Slotted-Bolted	Connection	Test	Results

peak measured slotted-bolted connection values

Test

initial 
stiffness, 

kip/in.

maximum and minimum Tensile Forces, kip

First cycle all cycles last cycle last/First, %

max. min. max. min. max. min. max. min.

disp04asr 903 34.8 -26.0 36.5 -32.4 30.4 -28.8 87 111

disp05asr 938 34.8 -27.3 34.8 -29.4 27.4 -25.8 79 95

disp06asr 988 30.7 -28.5 34.4 -32.3 30.1 -29.0 98 102

disp07asr 990 33.1 -29.3 36.8 -32.7 31.5 -28.9 95 99

Note: “Last cycle” is taken as the last cycle at 0.4 in. peak displacement; + values are tensile; 1 in. = 25.4 mm; 1 kip = 4.45 kN. 

Fig. 21.	Applied	displacement	cycles.	Note:	1	in.	=	25.4	mm.
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Fig. 22.	Load	and	displacement	record	from	slotted-bolted	connector	test.	Note:		
1	kip	=	4.45	kN;	1	in.	=	25.4	mm.
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Base Embed Plate

The second key portion of the tension 
base connection is the wall embed plate. 
As noted previously, anchorage for a 
large load capacity is difficult to obtain 
in a thin-walled section. The amount 
of force transferred can be controlled 
by changing the torque applied to the 
SB connection. Because this SB con-
nection is designed to develop a peak 
force capacity of 36.8 kip (164 kN), the 
embed plate needs to develop a higher 
anchorage capacity when resisting the 

tension uplift force of the wall. The an-
chorage provided from a combination 
of reinforcing bars, headed studs, and 
G-studs clipped to prestress strand can-
not be exactly calculated. A rough ap-
proximation might be attempted using 
an assumed fracture surface.

An initial series of three tests were 
conducted to determine the uplift resis-
tance capacity of the embed, without 
anchor studs, at two limit states: crack-
ing and ultimate. A slowly increasing 
load was applied to the plate through a 
hydraulic jack system, and the behavior 
was observed and measured. Figure 23 
shows the resulting failure surface.

The first crack, marked “1” in the 
figure, occurred at an average load of 
21 kip (93 kN). The extension of this 
crack, marked “2,” developed at an 
average of 28 kip (124 kN) and repre-
sented the tension capacity of the con-
crete section below the embed plate. 
Subsequently, the steel anchor bars and 
strand became more active and con-
tinued to increase the embed capacity 
until it either pulled out with anchor-
age failure (at 47.5 kip [211 kN]) or 
the actuator capacity was reached (at  
50 kip [222 kN]). The measured behav-
ior of a typical base embed is plotted 
in Fig. 24.

Studs were subsequently added to 
the back of the embed plate, as shown 

in Fig. 11, and the anchor reinforc-
ing bars were lengthened to develop a 
greater ultimate capacity. With these 
changes, retesting showed that the 
average cracking load remained near  
27 kip (120 kN) and the ultimate ca-
pacity could reach 57 kip (254 kN).

The base embed plate was also tested 
with load applied perpendicular to the 
wall surface (out of plane) and with 
shear load applied parallel to the bot-
tom edge of the wall. Three tests were 
conducted in each configuration. With 
out-of-plane loading, the first crack and 
peak load occur simultaneously with an 
average of 11.4 kip (51 kN). Shear load 
applied parallel to the wall base and to-
ward the close edge created an initial 
crack at an average of 14 kip (63 kN). 
Peak load and failure followed at an 
average of 14.9 kip (66 kN). For both 
types of loading, the failure occurred 
abruptly at peak load with virtually no 
ductility. Because friction of the mortar 
joint in the compression bearing region 
is relied on to resist these loads in the 
wall system, the embed behavior is not 
critical as long as the joint static fric-
tion capacity is not exceeded.

Summary of Component Capacities 
and Behavior

The aim of the connection system 
design is to protect the thin walls of 

Table 3:	Summary	of	Component	Capacities	and	Behavior

component Tension pullout Test horizontal shear Test vertical Force Test

Top insert Component yield at 8.3 kip, 
first crack at failure, 10.8 kip 
peak, ductile failure

First crack at 8.8 kip, 27.1 kip 
peak, ductile (for two inserts) 
failure

—

Wall panel

—

12.7 kip at 34 ft causes flexural 
crack, 27 kip shear capacity, 
brittle (analytical prediction) 
failure

—

Compression base connection

— —

219 kip capacity with neutral 
axis at 8 in. from edge,  
ε maximum = 0.00162 brittle 
failure

Slotted-bolted connector

— —

Initial slip at 33.3 kip of ten-
sion, 35.6 kip capacity, elasto-
plastic

Base embed First crack at peak capacity of 
11.4 kip, brittle failure

Initial crack at 14 kip 14.9 kip 
peak, brittle failure

First crack at 27 kip of tension 
force, 57 kip capacity, limited 
ductility

Note: 1 kip = 4.45 kN; 1 ft = 0.305 m; 1 in. = 25.4 mm.

Fig. 23.	Failure	surface	from	base	
embed	test.
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precast concrete panels from develop-
ing unpredictable or brittle failures, 
such as pullout. Each of the compo-
nent capacities is reviewed in Table 3.  
Mechanisms listed as brittle, or fail-
ures that are difficult to predict, should 
be prevented from occurring. As an 
example, the vertical compression at 
the base corner of the wall should be 
controlled so that the strain remains 
less than 0.0016, the average of limit 
values listed in Table 1. The compo-
nent capacity test results came from 
hollow-core panels with an average 
28-day compressive cylinder strength 
of 7340 psi (50.6 MPa) with a standard 
deviation of 410 psi (2.8 MPa) in 40 
cylinders.

Considering the equilibrium of forces 
in Fig. 1, there is a direct link between 
the bottom compression reaction, ap-
plied vertical load, SB connector ten-
sion force, and the lateral (seismic) 
load. Thus, controlling the SB connec-
tor force can control the base compres-
sion reaction component and compres-
sion strain. A design philosophy for the 
wall must be based on these relations.

System Behavior

After completion of the compo-
nent tests, a full-height, complete 
wall system was tested and extensive 
non-linear analyses were conducted 
to predict building behavior with the 
wall system under various earthquake 
motions. These tests and analyses 
were not required as part of the code 
approval process and are only briefly 
described here.

The wall system test was conducted 
on a full-size, 38-ft-tall (11.6 m) hol-
low-core wall, but in a horizontal posi-
tion (Fig. 25). The wall base was con-
nected to a fixed abutment using two 
SB connectors with dry-pack grout 
under the concrete panel. Lateral dis-
placements were applied to the wall at 
36 ft (11 m) from the base, the assumed 
roof level for a building, by hydraulic 
jacks attached to the wall with slotted 
insert connectors. A constant axial load 
of 20.9 kip (93 kN) was applied at the 
top of the wall to simulate wall weight 
(19 kip [84.5 kN]) plus some added 
dead load.

The first test simulated possible ser-
vice-level earthquake motion. Before 
testing, a non-linear analysis of build-

ing motion was conducted using the 
1940 El Centro ground motion record 
with peak acceleration of 0.33g, where 
g is the acceleration of gravity. The pre-
dicted top-level displacements created 
by the earthquake were then applied 
statically to the top of the wall. The SB 
connectors behaved as expected, and 
there was virtually no residual uplift at 
the wall base after the test.

Subsequent tests involved three 
cycles of reversed cyclic displace-
ment applied to the top of the wall at 
increasing displacement amplitudes. 
Finally, the wall was pulled laterally 
at the top until the base SB connec-
tor reached the limit of the slot and 
force in the connector reached the 

level needed to cause anchorage fail-
ure between the embed plate and the 
concrete wall panel.

An extensive series of non-linear 
seismic response analyses were also 
conducted at various earthquake am-
plitudes and differing amounts of wall 
axial load. The analyses showed that 
the wall system behaved like a ductile 
reinforced concrete wall. No significant 
permanent uplift of the wall developed 
at the base joint except in some cases 
with very short walls, strong seismic 
motion, and no added roof dead load.

Fig. 25.	Testing	a	full-sized	wall	system	in	a	horizontal	position.

Fig. 24.	Embed	pullout	test	with	cycling	at	peak	load.	Note:	1	kip	=	4.45	kN;		
1	in.	=	25.4	mm.
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DESIGN APPROACH

Because the SB connector has been 
selected as the preferred location for 
possible inelastic response and energy 
dissipation, the overall design approach 
is to keep all of the other components of 
the system elastic. Referring to Fig. 26  
and the values in Table 3, the following 
requirements might be applied.

Top Insert Connector (Shear)

With reinforcing bars attached to the 
back of the anchor (as shown in Fig. 
7), the failure mode of the top shear 
connector is ductile. Therefore, code- 
proposed safety factors that acknowl-
edge ductile behavior can be used to 
reduce the allowable load-carrying 
capacity of the insert, rather than the 
safety factors that are associated with 
brittle behavior. However, even though 
this element is ductile, it should not be 
relied on to dissipate energy. Capacity 
design should be used to ensure that the 
connector behavior is kept elastic.

Top Insert Connector (Tension)

With reinforcing bars attached to the 
back of the anchor, the failure mode 
of the top connection in tension is also 
ductile. The same approach for the de-
sign of this connector can be used for 
tension and shear.

Overturning Strength of the Base 
Connector

The base connector not only pro-
vides ductile behavior but dissipates 
energy as it cycles through repeated 
earthquake motions. This connector 
should be used to limit loads to the 
other, less ductile parts of the wall sys-
tem. The overturning moment (V × h) 
must be less than the resisting moment  
(T × arm + [(A + W) × width/2]). Thus, 
the base shear must be limited to:

V ≤
1

h
T arm( )+ A+W( )

width

2





















where
h  = height of roof
T  =  slip force capacity of the 

SB connector
arm =  distance between compres-

sion and tension couple
A  =  applied vertical dead load 

from roof
W  =  weight of the wall panel, as 

shown in Fig. 26
width = width of the wall panel

Appropriate safety factors that rec-
ognize that this is the ductile element 
that limits the overall earthquake load 
to the building should be used.

Wall Shear Strength

The wall shear force should be lim-
ited by capacity design to the wall shear 
strength, modified by an appropriate 
safety factor. Although it was not tested 
in this program, the shear failure of a 
wall panel is likely to be brittle. A de-
sign shear stress in the surface wythes of 

1 f
c

'  may be used in limiting the wall 
capacity without applying an added φ 
factor (with f

c

'  in units of psi).

Wall Base Shear Strength

The shear friction capacity of the 
grout bed at the base of the wall panel 
must be greater than the applied shear 
force. Appropriate safety factors should 
be applied.

Compression Strain at Wall Base

The base compression force, a com-
bination of vertical load (A + W) and 
the moment resisting couple term T, 
must be limited in amplitude and ap-
plied at a location that will keep con-
crete strains less than the average com-

pression strain capacity of the panel, 
or 0.00162. Appropriate safety factors 
should be applied because this is a brit-
tle failure mode.

Out-of-Plane Base Connector 
Strength

The out-of-plane loading can be 
resisted either by the out-of-plane 
strength of the base connector or by the 
shear friction capacity of the grout bed. 
Appropriate safety factors should be 
applied in either case. Because out-of-
plane loading on the grout bed was not 
tested in this program, a brittle failure 
mode should be assumed. The out-of-
plane strength of the base connector 
can be calculated using appropriate 
safety factors depending on the failure 
mechanism of the component under 
consideration.

Taking this general approach, a sub-
mittal was proposed and subsequently 
approved by the International Code 
Council (ICC) Evaluation Services for 
seismic design of Spancrete hollow-
core shear-wall systems.24 The walls 
are accepted as precast concrete shear-
wall systems that comply with the per-
formance requirements of International 
Building Code 2003 (IBC 2003) Chap-
ter 19 for Special Reinforced Concrete 
Shear Walls.25 With that designation, in 
combination with the variations in de-
sign described previously, seismic re-
quirements may be obtained using the 
following IBC 2003 criteria:

R =  5.5 (bearing walls) 
 =		6.0 (nonbearing walls)
Cd = 5
Ω0 = 2.5
Details of the design procedure for 

the tested system can be found in Ref-
erence 26.

SUMMARY AND 
CONCLUSIONS

Precast, prestressed concrete mem-
bers with thin-concrete sections, often 
used as exterior curtain walls in com-
mercial and industrial buildings, can 
act as seismic-resisting shear walls. 
The primary problem in using these 
walls for seismic resistance is in devel-
oping a satisfactory ductile base con-
nection that can transfer forces from 
the foundation to the thin-wall panel. 
A secondary problem is in meeting ex-

Fig. 26.	Design	requirements.
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isting code criteria for emulation, or in 
proving the capacity of the system.

Prestressed concrete wall panels can 
easily be used to resist seismic loads if 
an alternate ductile mechanism is pro-
vided and the prestressing materials are 
not relied on for ductility. Walls with 
thin sections can form shear walls if the 
force transferred into the thin concrete 
section at the base is limited and brittle 
anchorage failure is avoided. A duc-
tile SB connection at the wall base is 
an ideal device to provide ductility and 
load-limiting control. It has the added 
advantage of high energy dissipation.

Through a series of experimental 
tests, the capacities and behavior of a 
complete precast concrete hollow-core 
shear-wall system were defined. Those 
quantities were coupled with a design 
procedure developed to ensure that the 
seismic forces introduced into the wall 
remained lower than the elastic capaci-
ties of the wall elements. With the SB 
base connection as the only yielding 
element, it was demonstrated that an 
overall wall response similar to or bet-
ter than that expected by the IBC 2003 
for special reinforced concrete shear 
walls could be achieved. ICC Evalua-
tion Services has accepted this perfor-
mance evidence and the special design 
procedure as a basis for an accepted 
method of seismic design.

The principle of using special base 
connections results in a unique design 
process. A design base shear could be 
calculated using typical code methods. 
The overall base shear capacity of an 
individual wall panel is then calculat-
ed based on a set of rules designed to 
keep the wall system elastic, except for 
the yielding base. Then the number of 
these specially connected seismic walls 
required may be directly determined 
from the code-required design-base 
shear force using an equivalent static 
load approach.

Alhough this development of a de-
sign approach focused on hollow-core 
shear walls, a similar approach could 
be used for other precast concrete 
wall systems. The test results and de-
sign values presented here are based 
on the unique characteristics of the 
Spancrete hollow-core panel. This par-
ticular Spancrete system is currently in 
the process of being patented. Results 
would be different for other hollow-

core or thin-walled panels. A similar 
test regimen would be required for dif-
fering panels, but the same principle of 
controlling forces could be used.
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